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PART 7: GEOTECHNICAL ENGINEERING IN RESIDUAL SOILS

7.0 Some General Comments

Geotechnical engineering in residual soils is, in many respects, similar to geotechnical engineering in sedimentary soils However, there are two important differences that geotechnical engineers should be aware of. Firstly, the properties of the soils themselves are likely to be significantly different, as covered in Part 5.  Secondly, seepage and pore pressure conditions are also likely to be different. In particular, much of the “action” of interest to engineers occurs above (possibly a long way above) the water table. Pore pressures of interest will be negative, rather than positive, and recognising and understanding this negative pore pressure state is essential for sound design. Some comments about the seepage and pore pressure state above the water table were made in Part 4, and will be further discussed when appropriate in this section.   

7.1 Foundation Design and Settlement Estimates

7.1.1. Shallow foundations – bearing capacity 

The bearing capacity of residual soils is generally high compared to many sedimentary soils, so that the use of spread surface footings on residual soils is very common. Normal bearing capacity theories are equally applicable to residual soils as to other soils, though the following reservations should be noted. 

1. As mentioned earlier in this course, the permeability of residual soils is often much higher than that of sedimentary soils, and the rate of consolidation may often be so high that loading the foundation is essentially a drained loading ie pore pressures will dissipate as the load is applied. However, it is probably the case that most estimates of bearing capacity are still made on the basis of undrained strength. This is probably not unreasonable, as the determination of undrained strength is generally easier than measuring effective strength parameters, and also it is a conservative approach. Also many countries where residual soils are prevalent are also earthquake zones, and earthquake loading of foundations is almost certain to be an undrained phenomenon. 

2. Some residual soils are rather heterogeneous so that the determination of parameters for bearing capacity estimates is not straightforward. There are thus sound arguments for using plate loading tests, or some other form of in situ testing to try to determine reliable bearing capacity estimates. 

3. The influence of discontinuities in the form of planes of weakness on bearing capacity appears to be much less than it is on slope stability. This is to be expected, as the failure surfaces associated with bearing capacity are very restricted in location and inclination, whereas slope failure can occur on almost any plane of weakness.

4. Construction projects in residual soils are often in hilly areas and foundations are built on platform cut into the slope. Bearing capacity estimate must therefore be made taking account of the slope inclination.    

7.1.2. Settlement Estimates and Rate of Consolidation

It is probably true that most estimates of settlement of surface foundations are made using the results of oedometer tests on “undisturbed” specimens. Experience suggests that settlements made in this way are usually somewhat conservative, that is the actual settlement is normally less than the predicted value. There are several possible explanations for this. 

The first is that sample disturbance softens the soil slightly with the result that the parameters obtained from the oedometer test indicates the soil to be more compressible than it actually is. Examples of the influence of sample disturbance are given in Section 5 (Fig 5.2) of this course. It is clear from the laboratory curves in this figure that even very small disturbance can make a very large difference to the stiffness or compressibility of the soil. It is important to recognise that methods for correcting e-log p curves applicable to sedimentary soils, such as the Schmertman method, are not applicable to residual soils. 

A second explanation is that the settlement estimate fails to take account of pore pressure changes in the zone of negative pore pressure above the water table brought about by construction of the foundation and associated structure. As already discussed in Part 4 of this course, the pore pressure above the water table is likely to be negative, and to vary substantially between summer and winter. The assumption is often made that the pore pressure above the water table is zero, and that the only changes in effective stress that occur as a result of the construction of the foundation are caused by the applied load from the foundation. 
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Figure 7.1.1 Possible pore pressure states above the water table. 

With clays it is never the case that there are no pore pressures above the water table. In general they will be negative, but their actual magnitude will vary with seasonal changes in rainfall and temperature. The effect of constructing a building at the surface is in effect to create a barrier at the surface so that rainwater cannot enter and water cannot be lost by evaporation. This tends to stabilise the pore pressure at negative values corresponding to the hydrostatic condition as indicated in Fig. 7.1.1 In order to take account of the settlement (or heave) resulting from this factor it is necessary to know the pore pressure state before the foundations and building are constructed. In many cases this can only be guessed at. 

Regarding the consolidation rate, it must be appreciated that the consolidation rate with isolated footings cannot be estimated using conventional graphs or tables because these only apply to one-dimensional consolidation. With spread footings on deep residual clays (or any other type of clay), the pore pressures will dissipate outwards from the foundation, so that seepage will be more in the horizontal direction than the vertical direction. Davis and Poulos (1972) have produced solutions to this situation for circular and strip footings on the surface of a compressible soil. Two of these solutions, plotted in a slightly different graphical form to Davis and Poulos, are presented in  Figures 7.1.2 and 7.1.3.  
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Figure 7.1.2 Time factors Tc for circular footing 3-D consolidation

                        (modified from Davis & Poulos, 1972). 
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Figure 7.1.3 Time factors Ts for strip footing 2-D consolidation

            (modified form Davis and Poulos, 1972) . 

The graphs in Figures 7.1.2 and 7.1.3 are for impermeable foundations on compressible soils bounded by an impermeable hard layer beneath them. The time factor T has been re-defined in these graphs in terms of the dimension of the foundation rather than the maximum drainage path length. 

Use of the above graphs with typical values of cv for residual soils shows that the time for 90% consolidation may well be only a few months for small spread footings. 

Consider the following:

· a circular footing with a radius of 1m 

· a soil with a cv value of 0.1m2/day  

· a relatively deep soil layer overlying an impermeable base  

Assuming an h/a value of 20, the value of T90 is about 20, so that t90 is about 200 days, or 6 months. Many residual soils have cv values higher than the above value so that the t90 value may be substantially smaller than 6 months.  Most buildings of significant size will have construction periods of about 6 months or longer so that most of the consolidation will occur during the construction period.  

If settlement occurs as the load is applied, then it is no longer possible to divide settlement into immediate (elastic) settlement and consolidation (primary) settlement. It is also not possible to divide settlement into primary and secondary settlement, as no significant pore pressures are generated and the settlement rate is not governed by the rate of pore pressure dissipation. 

7.1.3 Deep Foundations.

Deep foundations include conventional driven or bored piles as well as large caisson foundations. There are a range of methods for constructing such foundations, which will not be covered here. Large bored piles tend to have an advantage over driven piles in situations where the material is non-uniform, as it is possible to directly inspect the material, provided the hole is uncased and is being bored dry ie the material is of sufficiently low permeability that it can be kept dry by pumping. In some situations the base of the pile my be above the water table, in which case keeping water out of the hole is not a problem. 

7.2  Slope Stability and Slope Engineering

7.2.1 General Comments

Slopes in residual soils (excluding "black cotton" soils) generally remain stable at much steeper angles than those in most sedimentary soils. Slopes of 45o or steeper are not uncommon, and in some volcanic residual soils, such as allophane clays, cuts can often be made as steep as 60o without danger of slipping. The extent to which the stability of slopes in residual soils can be evaluated by analytical methods is often very limited, because of uncertainties in the soil strength parameters and in the seepage conditions. 

7.2.2 Failure Modes 

Slope failures in residual soils, especially when steep slopes are involved, are unlikely to be deep seated circular failures. They are more likely to be relatively shallow, with fairly planar failure surfaces. In large slopes with a limited depth of weathered material overlying sound rock, they are likely to be essentially translational slides. Also, it is not uncommon in volcanic areas for volcanic material to slide at the interface between volcanic deposits and the underlying sedimentary soils. The slip surface in this case may be fairly linear so that the slide is essentially a translational slide. However, the volume of material involved may still be very large.
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7.2.3 Limitations of Analytical Methods.

The limitations of applying analytical methods to residual soil slopes arise from uncertainties in the shear strength parameters and in the seepage conditions. With respect to the strength parameters, it is convenient to divide slopes into three categories, as follows: 

1. Slopes consisting of uniform, homogeneous materials.

2. Slopes containing distinct continuous planes of weakness

3. Slopes of heterogeneous material, but without distinct planes of weakness, as for example in a weathering profile of the “Little” kind (Figure 1.2 in Part 1). 

Slopes consisting of uniform, homogeneous materials: 

The shear strength behaviour of residual soils has already been covered adequately earlier in this course (Section 5.5). The following points are reiterated:

· The value of (( can usually be determined with reasonable accuracy using normal measurement methods, such as triaxial testing.

· The value of c( is often very significant, (due to some form of weak bonds between particles) but cannot be determined with the same degree of reliability as ((. Very careful triaxial testing at low confining stresses is needed to accurately determine c(.

· The residual strength is likely to be fairly close to the peak strength, especially in clays continuing allophane or halloysite.

Slopes containing distinct, continuous, planes of weakness:

The behaviour of many slopes in residual soils is likely to be dominated by the presence of random discontinuities in the form of distinct planes of weakness. This is likely to be the case with soils that have been subject to tectonic deformations and shearing, or derived form rocks subject to such deformation. The presence of these discontinuities makes the determination of the likely failure mode, and soil strength parameters, extremely difficult, and thus rule out the use of analytical methods. Only in rare situations is it likely to be possible to determine the location, orientation, and strength of discontinuities with the degree of reliability needed for the use of analytical methods. 

Slopes of heterogeneous material, but without distinct planes of weakness:

The weathering of igneous rocks such as granite, does not generally create distinct planes of weakness, so that this is quite a different situation to that just described above. The soil profile will consist of zones of partly weathered material containing remnants of the parent rock, and zones of fully weathered material (soil). Determination of the strength parameters applicable to the material as a whole is still very difficult, if not impossible, by conventional sampling and laboratory testing. This may not entirely rule out the use of analytical methods. It may still be possible to determine the strength parameters from back analysis methods of existing slips or slopes. Some examples of these methods are given in a later section.  

Seepage Conditions and Pore Pressures:

Slips and landslides in residual soils generally occur during periods of heavy rainfall, and are the result of temporary increases in the pore water pressure in the slope. This is an important difference in behaviour between residual and sedimentary clays. With sedimentary clays of low permeability (such as London clay) the pore pressures can be measured and the assumption safely made that they will remain approximately the same for a long time. With residual soils, any measurement of pore water pressure in the slope is valid only at the time it is made and is quite likely not relevant to long term stability estimates. For such estimates, it is the worst seepage condition likely to occur in the future which is of importance, or at least a seepage condition that can be related to storm intensity, ie a 10 year storm or a 100 year storm. 

One important reason (which should be clearly recognised) that slopes in residual soils remain stable at steep angles is because the phreatic surface (water table) is often deep, and the pore pressure above the surface is negative (“suction” or “pore water tension”). This zone of pore water tension may include most of the slope. This has the effect of increasing the effective normal stress across any potential failure surface, thus increasing the safety factor of the slope. The influence of intense rainfall on this zone is to increase the pore pressure from its negative value towards zero (ie to reduce or destroy the “suction” above the water table), or possibly to turn it into a positive value if the phreatic surface rises.  

The governing influence of changes in pore water pressure on the stability of slopes in residual soils means that stability analysis must be carried out in terms of effective stresses. The only exception to this might be the case of an embankment constructed on a residual soil; this case is similar to a foundation situation and undrained strength total stress analysis would be appropriate.

There are currently no really reliable ways of relating the pore pressure condition in a slope to rainfall intensity, so that knowing the worst pore water pressure condition, or the condition corresponding to a particular storm intensity is not possible. It is probably true that there never will be reliable methods universally applicable on a general basis, because the factors involved are too diverse and complex for such analysis.  However, various methods have been proposed, and are currently being refined and “improved”; these appear to be a combination of empirical and theoretical approaches.  A brief description of these methods is given here, and we will look at them in more detail later in this course if time permits. 

The following figures illustrate a method available on the software programmes SEEP/W and SLOPE/W. The figures are taken from their web site illustrating the capabilities of the programmes. They also illustrate the point about changes to the pore pressure state above the water table influencing the safety factor.  Note that the water table does not rise above the base of the slip. It is the change in pore pressure above the water table that has caused the slip.
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Figure 3 Computed factor of safety after four day intense rainfall




The programme SEEP/W programme is used to determine the changes in the seepage state and pore pressure due to 58 cm of rain over a 7 month period followed by 23 cm in 4 days.  The pore pressures obtained using SEEP/W were then transferred to the SLOPE/W programme to analyse the safety factor as a function of the rainfall and pore pressure 
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The figures are self-explanatory. The programmes make use of two soil “models”, The first, in Seep/W models water infiltration and seepage in saturated and unsaturated soil, so that pore pressures can be estimated. The second, in Slope/W uses a shear strength “model” which takes account of partial saturation and includes the influence of negative pore pressures above the water table. The general approach is reasonable, but involves a number of simplifying assumptions or approximations. We will look more closely at these “models” in Section 8 dealing with partially saturated soils.  The difficulties of measuring reliably the various soil parameters used are very formidable, as also are the difficulties of reliably establishing the stratigraphy and soil conditions in the ground. Note that in the example above the analysis illustrates the possible difference in influence of a long period of relatively moderate rain compared to a short sharp period of intense rainfall. 

The place where the most study has been given to the response of slopes to periods of heavy rainfall is Hong Kong, now a part of China. Hong Kong, along with many parts of the Far East, is subject to extremely intense rainfall from time to time, because it is in the path of typhoons; these typhoons have been the trigger for many large disastrous landslides, resulting in severe damage to property, and even loss of life. For about the last 3 decades, Hong Kong has had a specialist geotechnical unit responsible for investigating slope failures and setting up guidelines for all new developments close to, or actually on, sloping sites. Considerable data has been obtained from field monitoring of the way pore pressures in slopes respond to periods of rainfall, and this has been used to develop empirical or semi-empirical methods for predicting pore pressures corresponding to particular return period storms. 

The pore pressure response measured in stand pipe piezometers was found to be quite variable, and could be considered to be of two types – response to seasonal changes (ie wet season to dry season), and response to intense short duration storms.  The forms of response are shown in the diagram below, taken from the Hong Kong Manual for Slopes (2000). This information is very informative, as it shows that ground water regimes, or “aquifers” respond in quite different ways to the same storm event, so that any modelling of pore pressure response to rainfall events requires a very good understanding of the factors governing the seepage condition (or the “aquifer characteristics” to put this another way). 

These graphs show that some piezometers respond only to seasonal effects, and some respond only to storm events, some do not respond at all, and there is a range of responses made up of combinations of these
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      Typical piezometer responses to seasonal changes and storm events in Hong Kong

                          (from Hong Kong Manual on Slopes)   

. Comments on the differing behaviour include the following: 

· Piezometers that show no response of any sort may be located in places where the phreatic surface is fixed by nearby boundary conditions. It is also possible that they may be in very low permeability material. 

· Piezometers that show seasonal response but no storm response are likely to be located in layers of low permeability, where a long period of changed boundary conditions is needed before the groundwater system shows any change 

· It is difficult to explain why some piezometers respond to storms but not to seasonal changes. Possibly the normal position of the phreatic surface is fixed by nearby boundary conditions, but an intense inflow of water from a storm event overcomes this restraint, even only for a short time.   
Whatever the explanation of the differing behaviour, it clearly shows the difficulties involved in any attempt to model pore pressure response to seasonal weather changes and to storm events.  

Note: There is some evidence that pore water pressure in a slope will only change significantly as a result of periods of heavy rainfall or seasonal change if the cv value is greater than about 0.1m2/day. See Kenney and Lau: “Temporal changes of groundwater pressure in a natural clay slope” Canadian Geotechnical Journal Vol 21, 1984.

7.2.4 Mechanics of Analytical Methods

The governing influence of changes in pore water pressure on the stability of slopes in residual soils means that stability analysis must be carried out in terms of effective stresses. The only exception to this might be the case of an embankment constructed on a flat site consisting of residual soil; this case is similar to a foundation situation and undrained strength total stress analysis would be appropriate. The mechanics of analytical methods is really outside the scope of this course. Most computer programmes making use of well known methods ie Bishop, Morgenstern and Price, Sarma, of Spencer, ought to produce reliable results not significantly different from each other.

7.2.5 Igneous Rocks, especially Granite (Hong Kong Situation) 

Some comments on the Hong Kong situation, which involves mainly granite slopes, have been made above. Some additional information from their “Slope Manual” which is of interest is the value of safety factor recommended in relation to storm intensity and acceptability of risk. These are shown in the following table. They seem surprisingly low. 
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7.2.6 Sandstones 

This is a very broad category of materials, and no generalisations can be made. The behaviour of some sandstones is strongly influenced by the bedding planes, so that the orientation of the bedding planes is the dominant influence on slope stability. Other sandstones may be influenced by joints and fault lines caused by tectonic movement. All sandstones found above sea level have clearly been uplifted by tectonic activity, so it is not surprising that many sandstones contain joints and fault zones.  

7.2.7 Volcanic Ash Clays 

The paper on allophane clays covered elsewhere deals with volcanic ashes whose behaviour is governed by the presence of the clay mineral allophane. 

7.2.8  Back-analysis Methods to Determine Soil Parameters.

Analysis of a Single Slip 

It is possible to obtain unique values of c( and (( form a single slip in a homogeneous material. Methods for doing this are described in a paper attached to these notes. The essential key to these methods is recognising that for specific values of c( and (( the failure slip circle will occupy a unique position. Any other combinations of c( and (( may give the same safety factor, but not the same position for the critical slip circle. 

(Wesley, L.D. & Lelaratnam, V. Shear strength parameters from back-analysis of single slips. Geotechnique, 51, No 4, 373 – 374). 

Analysis of a Number of Slips in the Same Material 

It is a big advantage when more than one slip is available in the same material, to which back-analysis can be applied to determine c( and ((. 
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             Figure 7.2.1 Values of c( and (( obtained from back-analysis of a number 

                                     of slips in brown London Clay. 

An example of this is given by Skempton and Chandler for London Clay. For each slip, average values of the effective normal stress and shear stress on the failure surface are determined, and these are then plotted on a graph of shear stress against normal stress. This is illustrated in Figure 7.2.1.
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The horizontal lines drawn through some of the data points reflects uncertainty about the  seepage condition and pore pressures in the slope. The line indicated the range of possible effective normal stress values arising from this uncertainty. 

Analysis of Intact Slopes (ie no previous slips)  

It is possible to collect data on slope height and slope angle for a particular geological or soil formation, ie for any material that is reasonably homogeneous, and use this data to deduce the strength parameters by a curve fitting procedure. The data should be gathered from those slopes considered to be closest to failure, ie the steepest slopes for any particular height. The data can be plotted in graphical form as shown in Figure 7.2.2. A curve can then be drawn defining the upper limit of combinations of slope height and angle that will remain stable, as indicated in the figure. 
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It can readily be shown that for any given values of c( and ((, and fixed seepage condition (defined by an ru value), there will be a unique combinations of slope heights and slope angles that will be stable. A procedure involving “trial and error” can then be used to fit a curve to the field data. 

This procedure can be quite tedious, but systematic methods can be used to avoid time consuming “trial and error” procedures. In addition to the curve fitted to the field data, two curves are also shown in Figure 7.2.2 to indicate the way in which the shape of the curves varies with the relative magnitude of c( and ((. 

Determination of Retaining Forces for Cuts in Steep Slopes

It is sometimes necessary to make cuts in steep hillsides for the construction of roads or other infrastructure facilities. Such slopes may already have very low margins of safety against failure, so that such cuts need to be supported in some way to prevent slip failure occurring. Such cuts may be made in quite heterogeneous materials, so that accurate measurement of the strength parameters may be very difficult if not impossible. This is a situation where back-analysis appears to have considerable merit. (see Wesley, L.D. Coulomb wedge analysis of cuts in steep slopes’. Canadian Geotechnical Journal, 38, No 6, 1354 – 1359).

7.2.9 The place of analytical and non-analytical methods for assessing the stability of natural slopes.

It should not be imagined that assessing the stability of natural slopes is essentially an analytical exercise. Hopefully it will be clear from what as been said above that there are severe limitations on the extent to which analytical methods can be applied to natural slopes. They may or may not be an important part of slope stability assessment, depending on the nature of the slope – its geology, topography, soil conditions etc. Other, non-analytical methods, however, are always an essential part of any assessment of slope stability. These methods may appear “primitive” and not technically satisfying, but that does not alter their importance. They include the following: 

(a) Visual inspection of the slope

(b) Geological appraisal of the slope and surrounding area

(c) Inspection of aerial photos

(d) Inspection of existing slopes in similar materials to the slope in question

Careful visual inspection of slopes, along with geological knowledge can give a very good guide as to whether a particular slope is stable or not.  Slope with smooth contours indicate that they have been formed by surface erosion processes, without slip movement. On the other  hand irregular surfaces suggest the some form of slip movement  may have been involved. 
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Inspection of aerial photographs can often show features of a site that are not evident from a direct visual inspection. They can show scarp lines or changes of vegetation indicating old slip movement. Inspection  of any existing cuts in  the area of interest can tell us two things – how the cut slope itself is performing, and what sort of material it is made of. 

It is probably true that most assessments of the stability of a natural slope are based 80% on (a) to (d) above and only 20% on analytical procedures. 

7.2.10 Remedial work for stabilising slopes.

Engineering involvement with slope stability questions frequently arises after failure has occurred.  The engineer may be required to determine the cause of failure; his most important role, however, is likely to be to determine remedial measures to stabilise the slope.  

To stabilise a slip after it has occurred, or to increase the safety factor of a marginally stable slope we can:

1. Decrease the disturbing forces

(a) flatten the slope

(b) decrease the height

(c) add a toe weight (berm)

2. Increase the shear resistance

(a) lower the pore water pressure (drainage)

(b) use mechanical keying such as piling

(c) grout the soil

It is difficult to generalise as to which of the above should be used in a particular case.  All of the possibilities under (1) are usually practical and relevant if the slope geometry is suitable; of the possibilities under (2) the first (a) is by far the most relevant and practicable.  2(b) and 2(c) can only rarely be used. The choice of measure to use is very dependent on the type of slip. 

There are two basic kinds of slips:

1. Rotational – typical of cuttings and embankments – usually in slope of low to moderate height.  

2. Translational – typical of natural slopes – often in very large slopes of “indefinite” extent.  

Rotational slips

It is generally possible and effective to decrease the disturbing forces.  

             [image: image13.wmf]Flatten slope 
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It may also be possible to increase the shearing resistance by installing drainage measures to lower the pore pressure.  Two types of drainage are common:

(a) Trench drains running up and down the slope, also known as buttress or counterfort drains

                   [image: image14.wmf]Trench backfilled 
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(b) Horizontal bored drains

                                    [image: image15.wmf]Perforated pipes 

  in drilled holes 


Translational slips

In this case it is usually not possible to reduce the disturbing forces by flattening the slope or by adding a toe weight, because of the size of the slope and slide.  

Generally the installation of drainage measures is the only practical possibility, and trench drains are by far the most effective method of doing this.  It is important to check that the ground water level in the slope is high and that the drains will therefore lower the pore pressures. 
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Ideally, the drains should be taken below the failure surface but this is not essential.  The width and spacing of the drains is arbitrary.  As a guide the spacing should be in the range of 3 to 5 times the depth.  

It should be noted that in many remedial situations, especially those involving large translation slides, the safety factor is often very low, and it is usually impractical to increase the value by more than say 0.1 or 0.2, i.e. we can only hope to raise a safety factor of 1.0 to a value of 1.1 or 1.2.  At a dam site in site in the South Island of New Zealand, (the Clyde Dam) half a billion dollars was spent stabilising landslides – in most cases the safety factors were raised by only 0.1 or 0.2. 

Mechanical methods, such as piling or grouting are only rarely used.  

The forces involved in most slips are very large in comparison to the resistance which can be provided by pile installation.  

Grouting can generally not be used on clay slopes, because conventional grouts will not flow into the pore space of clays.  Grouting would be a possibility on sandy or gravely materials.

Note re Vegetation on Slopes

Vegetation generally has a positive effect in helping to stabilise slopes.  The presence of vegetation reduces the amount of water seeping into the ground, and it also extracts moisture from the ground.  Hence it should have some effect in helping reduce the pore water pressures in the slope.  

7.3 Earthworks and Compaction 

Earthworks and soil compaction can be a simple and straightforward procedure with many soils, but there are factors that can sometimes make it a difficult and problematic operation. These can include the following:

1) The soil is much wetter than the optimum water content and climatic factors make drying difficult or impossible. 

2) The soil is highly variable, so that its optimum water content is not consistent.

3) The soil is derived from volcanic ash, and its compaction curve does not show a clear optimum water content and maximum dry density. 

4) The soil is sensitive and becomes steadily softer as compaction proceeds - a phenomenon sometimes referred to as “over-compaction”.   

The following notes discuss these issues in turn.

7.3.1  Soil Considerably Wetter than the Optimum Water Content
There are no easy ways to overcome this problem, but the following are essential requirements:

· adequate spells of fine sunny weather 

· plenty of wide open space to spread out the soil for drying. Such a space should be created or obtained so that it is exposed to maximum direct sunlight, and also to maximum wind.  

· good site management. This means organising the whole operation to maximise fine spells of weather for drying, and also being ready to “seal” the surface of any uncompacted material or stock-piles if rain is approaching.  This “sealing” can be done by shaping any exposed surfaces so that rainfall cannot pond on them, and rolling the surface with a smooth wheeled roller to create a tight impermeable surface layer. 

7.3.2  Highly Variable Soils with no Consistent Value of Optimum Water Content
As mentioned earlier it is not unusual for residual soils to vary greatly within quite small sites, (see Section 6.6) so that attempting to control compaction using a specification based on standard optimum water content and maximum dry density becomes very difficult if not impossible. In Figure 6.? the range of optimum water content is from about 25% to 70% in the figure on the left (Pleistocene deposits) and from 35% to 65% in the figure on the right (Weathered basalt and volcanic ash). It is virtually impossible to carry out reliable compaction control with soils as variable as this using conventional methods. An alternative method which has been found to be very effective in this situation is to use alternative criteria, namely undrained shear strength and air voids in place of dry density and water content. The concept is illustrated in Figure 7.?.           
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Figure 7.3.1
Compaction control using undrained shear strength and air voids criteria.

To ensure the compacted soil has the required strength a lower limit is placed on the undrained shear strength. This means the water content at compaction cannot be too wet, or this required strength will not be achieved. To ensure that the fill is not too dry and brittle and prone to soften when water is available to it from rainfall or groundwater seepage, an upper limit is placed on the air voids. This means the soil cannot be compacted too wet, or the specified air voids will be exceeded.

The way these criteria operate in relation to the conventional limits of dry density and water content is illustrated in Figure 7.3.1.   The shear strength criteria in effect puts an upper limit on the water content that is not very different from the value specified in relation to the optimum water content from a standard compaction test. The air voids criteria puts a lower limit on water content which also turns out to be not very different from the value specified in the conventional manner. If the soil is too dry it will be impossible to reduce the air voids to the specified value. 

Suitable limits for the two control parameters are as follows:

Undrained shear strength:
Not less than 150 kPa (average of 10 tests)

Minimum single value: 120 kPa. 

Air voids:

For most “normal” soils: Not greater than 8% 

For volcanic ash (allophane) clays: Not greater than 12%

These values have been found to be very satisfactory in producing firm high quality fills. In some situations other properties may be important, and the criteria can be adjusted accordingly. The undrained shear strength can be measured in situ by hand shear vane, or by taking samples for unconfined compression tests. The air voids can only be determined by measuring the density and water content in the usual way. It is often the case that the soil is too wet and the undrained shear strength criteria is difficult to meet while the air voids requirement is easily achieved. This means that the quality control consists essentially of checking the shear strength. This can be done very easily using a hand shear vane. Figure 7.3.2 Illustrates such a vane. 
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                                     Figure 7.3.2 The hand shear vane for measuring shear strength in situ. 

A further advantage of using undrained shear strength and air voids as compaction control parameters is that they can easily be varied to suit particular requirements. For example, the core of an earth dam built on compressible foundations, or in a seismic zone, may need to be plastic or ductile to allow for possible deformations in the dam. This can be achieved by adopting a lower undrained shear strength; a value between about 70 kPa and 90 kPa would produce a reasonably plastic material, provided of course that the clay being used is of moderate to high plasticity. 
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   Figure 7.3.3  Standard Proctor compaction test showing undrained strength measurements.

Figure 7.3.3 shows the results of a compaction test and accompanying shear strength measurements from clay of medium to high plasticity derived from the weathering of sandstone in Auckland, New Zealand. The shear strength has been measured by both hand shear vane and unconfined compression tests. It is seen that the two methods of measurement give rather different values, though in both cases the undrained shear strength at the optimum water content is above 150 kPa. 

For a clay embankment being built for a new highway, it may be desirable that the layers closest to the surface (on which the pavement itself will be constructed) have a higher strength than those deeper down.  This could be achieved by increasing the required undrained shear strength to say 200 kPa.  

7.3.3 Soil derived from volcanic ash, with a compaction curve that does not show a clear maximum dry density and optimum water content. 

The compaction of all soils derived from volcanic ash is probably best controlled by means of undrained shear strength and air voids limits, ie the method outlined above in Section 7.3.2. It is frequently found that it is difficult to achieve air voids as low as 8%, and a value of 10 % or possibly as high as 12% would be acceptable. 

7.3.4   Soils Subject to Loss of Strength on Remoulding or Compaction 

It is important to recognise that many residual soils are “structured”, that is they have some form of bonds or weak cementation between their particles. When remoulded this structure is broken down and the soil becomes softer. It is thus important to recognise therefore that compaction of a soil may have two effects:

a) it “densifies” the soil ie it pushes the particles closer together and squeezes out air entrapped between the particles.  

b) it destroys the structure of the soil and causes it to soften. This is usually accompanied by release of water trapped between the particles - which adds to the softening process. 

When dealing with soils of this type it is therefore important to understand their properties, and conduct compaction trials to determine an appropriate level of compactive effort. It may be that only a few passes of the compaction equipment is preferable to a large number of passes. Repeated compaction may simply progressively soften the soil and not make it more compact or stronger.  

7.3.5 Compaction of Granular Materials and Non-Plastic Materials. 

Granular materials show rather different compaction characteristics to cohesive soils. Conventional Proctor compaction tests may or may not show clear maximum dry densities and optimum water contents. Also with clean granular materials, water drains from the material rather rapidly and in many cases the water content is “arbitrary” and does not greatly influence the dry density. Despite these factors, the test can be used to give a reasonable indication of the density that ought to be achieved by conventional compaction methods in the field. However, it may turn out that a considerably higher density can easily be achieved in the field. For this reason it is generally preferable to carry out compaction trials to determine a reasonable “target” density to be specified for field compaction. 
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              Figure 7.3.4   Hand penetrometers that can be used to control compaction

For controlling compaction of granular materials, it is becoming increasingly common to use a simple field penetrometer test. These penetrometers are usually hand operated dynamic cone penetrometers, and the parameter measured is blows per distance penetrated. By conducting such tests on trial compaction fills appropriate values can be established for controlling the rest of the project. Figure 7.3.4(a) shows the principle of such a penetrometer. For cohesive fills it is also possible to gain an empirical measure of undrained wear strength by using static cone penetrometers of the type also shown in Figure 7.3.4(b). These are pushed into the soil at a steady rate and the cone resistance measured on the dial gauge. This can be correlated with the undrained shear strength of the soil. 

Examples of the two types of penetrometer are the following:

Dynamic: Scala Penetrometer

Tip: 20mm diameter, 30o point angle.

Hammer weight: 9.0 kg

Height of fall: 51.0cm

Parameter measured: S = number of blows/300mm. 

This parameter can be correlated with other material properties of parameters. The correlation with the SPT test is: SPT N value = 1.5 times N value from Scala penetrometer. 

A common criteria used in New Zealand with the Scala penetrometer is the following:

The number of blows to drive the Scala penetrometer from a depth of 50 to 150 mm below the compacted fill surface shall be not less than 10-12.

Static: US Army Corps of Engineers Cone Penetrometer

Tip: 12.8mm diameter 30o point angle

Parameter measured: Force in Units of 0.5 pounds (= 1.102 kg). This was the original parameter used by the Corps of Engineers for calibrations with CBR values. For general use it would be better simply to measure force so this could be converted to a simple cone resistance value (qc) in force units eg kg/cm2. 

The cone resistance can be calibrated with CBR values of with undrained shear strength (Su). A reasonable correlation with the latter is the same as that for the Dutch static cone penetrometer test, namely  Su = qu / Nk  where Nk = (15 to 20). 

7.4 Reinforced Earth Walls using Residual Soils

7.4.1 General comments 

Reinforced earth (RE) walls are a well established part of geotechnical engineering and have been widely throughout the world, having been pioneered by Gore Vidal in the 1960s. They have traditionally been built using granular fill (normally clean sand) and metal reinforcing strips, although there is no clear theoretical or practical reason why they cannot be built using cohesive materials. The use of narrow metal strips for reinforcement presumably means that maximising frictional contact between the soil and reinforcement is critical to the performance of the wall, and this is best achieved with granular fill.  However, the advent of new reinforcing materials such as geotextiles and geogrids has dramatically changed this situation. Their relatively low cost means they do not need to be restricted in width like metal strips, and can be spread to give full coverage of the reinforced zone. The area of contact between soil and reinforcement is thus much greater and adequate frictional resistance can be achieved even if the value of the material is relatively low. This fact has made possible the use of clay fill for reinforced earth (R.E.) walls. The cost reductions associated with the use of clay has made its use increasingly attractive. Residual soils appear to be generally better as fill than sedimentary soils, because their (( values are greater and they are of somewhat higher permeability. 

There are, however, still issues involved in the use of clay that need to be recognised and taken into account in designing reinforced walls with clay. These issues include the following:

(1) The appropriate soil strength parameters to be used in design, ie the choice of the peak value (((p or simply ((), the critical state or constant volume value (((cv), or the residual value (((r).

(2) Compaction difficulties and the possible development of pore pressures during construction.

(3) The provision of adequate drainage measures behind and possibly beneath the wall.

(4) The expected deformations that may occur at the wall facing, or elsewhere, either during construction, or after completion, because of the lower stiffness of clay compared to granular material.

(5) Possible adverse effects from excessive down-drag on the facing elements. The increased difference in stiffness between the facing and the clay fill could lead to excessive vertical load on the facing. 

These issues will be considered in turn.

7.4.2 Soil strength parameters

There are differing opinions among geotechnical engineers as to whether the peak, critical state, or residual strength should be used for the design of reinforced walls and slopes. For example, Zornberg et al (1998), describe model tests which show that failure is clearly governed by the peak value, and argue strongly (Zornberg et al. 2000) for its use in design. Leshchinsky (2000) proposes a hybrid design procedure in which the peak value is used to determine the critical slip surface, but the residual value is used in determining the grid anchor length. The current Netlon (1996) guide for the design of reinforced earth structures using geogrids suggests that the critical state parameter ((cv is the appropriate parameter. (The suffix cv denotes “constant volume”; the term “(( critical”, or ((crit is also used to designate the critical state angle, and is the same as ((cv). The Netlon guide also quotes the UK Dept. of Transport Advice Note HA 68/94 (1994), which recommends the use of the residual strength (((r) for clays having Plasticity Index values over 25. 

In New Zealand, the appearance of documents and codes for reinforced earth which recommend the use of ((cv has given rise to some mild unease and “puzzlement” amongst geotechnical engineers. Critical state soil mechanics has not made much impression on the practising geotechnical community in New Zealand, and reinforced earth design in the past, along with all other effective stress analysis, has been carried out using the familiar Mohr Coulomb peak parameters c( and ((. 

The issue of the (( parameter arose along with increasing use of clay  earth walls, because of its ready availability and low cost. The choice of (( parameter becomes more important with clays because the peak value is lower and the difference between peak, critical state, and residual values may be greater than for granular materials. A short research programme was carried out to investigate the parameter ((cv for some typical local soils (primarily of a cohesive nature), and try to establish its relationship with the standard “peak” Mohr Coulomb parameter ((.

Four samples were obtained from local sites; all were residual soils. Three came from weathered sandstone, and the fourth from weathered volcanic ash. Classification and compaction tests were first carried out, followed by triaxial testing.  Consolidated undrained and drained triaxial tests were carried out on each material; they were continued to large axial strains - about 30% in the hope or expectation that this would lead to critical state behaviour and define the critical state parameter ((cv. In addition to the triaxial tests, ring shear tests were carried out on three of the samples to determine the residual strength friction angle ((r.

The results of the tests are described fully by Wesley and Davidson (2000), and only a summary is given here. Sample details and results are found in Table 7.4.1, and typical triaxial results shown in Figures 7.4.1 and 7.4.2. Figure 1 shows both the consolidated undrained and drained tests for Sample 1. 

Table 7.4.1. Details of samples and test results.

	SAMPLE DETAILS
	Atterberg Limits
	Natural water content %
	SHEAR STRENGTH

	
	L.L.
	P.L
	P.I.
	
	Parameter 
	Peak
	Large strain 

“end” values
	Residual

	1. CLAY; moderate plasticity, pale grey
	65
	32
	33
	49.5
	c( (kPa)
	20
	0
	0

	
	
	
	
	
	(( (deg.)
	28.2
	30.5
	15.0

	2. CLAY; high plasticity, dark grey.
	84
	27
	57
	45.5
	c( (kPa)
	11.2
	0
	0

	
	
	
	
	
	(((deg.)
	26.8
	25.1
	10*   


	3. SILTY SAND; yellow
	-
	-
	N.P
	26.2
	c( (kPa)
	14.5
	0
	0

	
	
	
	
	
	(((deg.)
	35.6
	33.3
	27.0

	4. SANDY CLAY; with

some coarse material.
	104
	60
	44
	61.5
	c( (kPa)
	22
	0
	0

	
	
	
	
	
	(((deg.)
	35.8
	36.8
	34.1
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Consolidated undrained tests                                         Drained tests                 

Figure. 7.4.1 Typical triaxial test results (from Sample 1).

In the consolidated undrained tests the deviator stress increases rapidly up to strains of  2 to 3%, and then undergoes a very slight but steady increase up to the maximum strain of 20 to 30%. The pore pressure initially rises and then shows a steady decrease. In the drained tests, the deviator stress rises less steeply and reaches a peak at strains between about 10 and 15 % and then shows a slight but steady decrease. The volume initially shows a significant decrease, followed generally by a slight but steady increase.

As neither deviator stress nor pore pressure (or volume change) have levelled off to constant values at the end of these tests, the critical state has clearly not been reached, and ((cv has not been established. This is perhaps not surprising, as there is real doubt as to whether the critical state can be created in clays, especially in standard triaxial tests. Once the peak deviator stress has been reached, clays tend to develop specific failure planes; movement is then concentrated on these planes and deformation is no longer uniform. Instead of moving towards the critical state, the strength may simply decline from peak towards the residual value. Fig. 2 shows the same results plotted as stress paths on a q/p( plot where:

      
[image: image23.wmf]2

2

3

1

3

1

¢

+

¢

=

¢

-

=

s

s

s

s

p

q


Figure 7.4.2. Typical peak, "large strain", and residual shear strength parameters (from Sample 1).

“Best fit” lines have been fitted to the results as shown, giving peak Mohr-Coulomb parameters. In addition lines have been drawn through the end points of the stress paths to define the “end” or “large strain” values of the parameters. Table 1 shows peak, “end”, and residual strength parameters from all the samples. It is evident that the post failure decrease in strength is quite small, and in none of the tests does it approach the residual value, except for the volcanic ash sample. This material shows the typical behaviour of allophane clays, with a high residual strength not far below the peak value. 

The difficulty of measuring the critical state parameter ((cv for clays from conventional triaxial tests is clearly a strong pragmatic reason for not using it in design. However this is not just an issue of pragmatism; the difficulty of creating the critical state in clays suggests that it is not a useful theoretical concept for such materials. If the material fails in triaxial tests by passing from the peak strength progressively towards the residual strength then the same can be expected in field situations. There are thus both pragmatic and theoretical reasons for not using ((cv. 

At the same time, it should be noted that the difference between the peak strength and that at large strains is not great, so the question of which of these two parameters to use is not really a major issue. A pragmatic approach could be taken and either the peak (( value be adopted with the c( value neglected, or the “end” (( value at a strain of about 30% be adopted. The result will be two values of (( that are likely to be very similar. 

As mentioned earlier, some codes recommend that when clay is used in reinforced earth, the residual strength should be used in design. This seems a grossly over-conservative approach, without any theoretical justification. There are no other situations in geotechnical engineering where the residual strength is used on an intact material, and there is no reason for it to be used with RE walls. 

It is rather difficult to see why the issue of using anything other than the peak strength has arisen with RE walls. Safety factors are used in their design, and the deformations they undergo are generally small, so there is no reason to think the soil will be stressed beyond its peak strength. Also, deformations occur in an overall manner, so there is little likelihood of displacement developing on specific planes leading toward the residual strength. 

7.4.3 Compaction difficulties 

Compaction of clay is almost invariably more difficult than compaction of granular material. The latter can be compacted in almost any weather, whereas clay can only be compacted in during reasonably dry weather. This fact, and other compaction difficulties that arise with clays, have been discussed in Section 7.3 and will not be further discussed here. 

7.4.4 Possible development of pore pressures during construction.

There is one important factor that arises in the construction of reinforced earth walls using clay, which is not generally recognised or taken account of in design. This is that there will always be pore pressure within the clay fill, and the assumption made in design that the pore pressure is zero can never be correct, except in the case of a fortunate coincidence. The pore pressure will always have a value, which hopefully will always be negative so that the assumption of zero pore pressure will be conservative. When clay is compacted at its optimum water content, it can be expected to have an undrained shear strength of not less than 150 kPa, regardless of whether this is measured in situ or by an unconfined compression test on a sample taken from the fill. This implies that the soil must be subject to a reasonably high effective stress, and the only source of this effective stress is the negative pore pressure in the soil. 

When large embankments are built, it is not uncommon for positive pore pressures to arise; earth dams in particular are instrumented to monitor these positive pore pressures. So the question arises as to whether this could also happen in a RE wall, and what measures are needed to guard against this.  Some recent experimental work carried out at Auckland University provides some guidance on this issue. It is illustrated in the following figures.

Figure 7.4.3 shows conventional measurement of pore pressure response to undrained loading in a triaxial cell. The soil involved was a residual soil from weathered sandstone, having the following properties:

Plastic Limit = 31    Liquid Limit = 70   Plasticity Index = 39

Optimum water content  = 24.5%
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Figure 7.4.3 Pore pressure versus confining pressure for clay compacted at varying water contents 

The figure shows expected trends – for low water contents there is no positive pore pressure until the confining pressure reaches about 550 kPa, while for high water contents the pore pressure becomes positive almost as soon as confining pressure is applied and the B parameter reaches a value close to unity at relatively low stresses. The curve for optimum water content as been interpolated between the other curves as shown. This shows that positive pore pressure only arises when the confining pressure reaches about 350 kPa. This implies a negative pore pressure in the soil when compacted of not less than this value. 

The parameter B is not adequate in itself for estimating actual pore pressures in an embankment for design purposes, as these are governed by the initial pore pressure in the compacted soil as well as the increase due to the overburden load. A further parameter Br has therefore been adopted for presenting the experimental data in a manner more useful for design, defined as follows: 

u = Br (v  where u is the pore pressure and (v the vertical stress in the embankment.

This expression takes account of the initial pore pressure in the clay when compacted plus the change arising from the placement of fill above it. This parameter Br can therefore be used directly to obtain the pore pressure in the embankment from the vertical stress, and has the same numerical value as the pore pressure parameter ru defined by Bishop (1954). The data in Fig. 7.4.3 has been re-plotted to produce the graphs of Br shown in Fig. 7.4.4.
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Figure 7.4.4 Graphs of the parameter Br versus confining pressure at varying water contents  

We can see directly from this graph that for soil compacted at or near optimum water content, no pore pressure will arise until the confining pressure exceeds 500 kPa. Even for soil compacted 2% wetter than optimum will not result in positive pore pressure until the confining stress reaches about 200 kPa. This corresponds to a height of fill of at about 12m for a typical clay with bulk unit weight of 17 or 18 kN/m3.  

Some additional tests were carried out to try to establish the relationship between pore pressure response, undrained shear strength and air voids. The purpose of this was to provide some useful data on likely pore pressures when compaction is controlled by undrained shear strength and air voids.  The results are presented in graphical form in Figure 7.4.5
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Figure 7.4.5. Pore pressure parameter Br for varying air voids and undrained shear strength. 

The individual dots show the values of the parameter Br when the confining pressure reached 500 kPa. Lines of equal values of Br have been established by interpolation between the points. The limits of undrained strength (150 kPa) and air voids (8%) commonly used to control earthworks are also shown The test results are rather scattered, and additional testing appears desirable to better establish the curves. However they are adequate to illustrate the following important points:

1. The value of Br is very dependent on both undrained shear strength and air voids, as is to be expected. This is just another way of saying that the pore pressure is governed by both water content and degree of compaction. The softer the soil and the lower the air voids, the higher will be the pore pressure when external pressure is applied to the soil

2. For fill compacted to meet a “normal” specification requiring Su to be greater than 150 kPa, and air voids to be less than 8%, the Br value is about 0.15. This is the value when the confining pressure reaches 500 kPa. For lower confining stress the Br value will be less, or negative. 

The above graphs are of course for only one soil - a soil of moderate plasticity that plots close to the A-line on the Plasticity Chart. Other materials will produce somewhat different relationships, but it is unlikely they will greatly alter the above trends. The conclusion from this is that for fills of the limited heights (up to say 12m), normally associated with RE walls, positive pore pressures are unlikely to occur provided the soil can be compacted to meet normal specification requirements. If this is not the case then careful thought needs to be given to the pore pressure situation, and to be taken account of in the wall design. 

It is perhaps a rather uncomfortable thought to recognise that when we design RE walls using clay fill, our design will almost never be theoretically correct, because one important parameter, the pore pressure, is not known and does not enter the design process. On the other hand, if we understand how the soil behaves, we should be able to ensure our design is conservative. 

7.4.5 Provision of adequate drainage measures 

When granular fill is used in RE walls, the wall itself is a drainage material, and provided water can escape from the wall there is little possibility of positive pore pressures developing within the backfill. With clays this is clearly not the case. The clay backfill is of very low permeability, and will act as a barrier to the flow of any water coming from the soil retained. This is clearly one of the disadvantages of using clay, but it can be overcome by appropriate measures at the design stage. It is necessary to ensure that (a) no pore pressures arise in the R.E. material itself and (b) the wall does not act as a barrier and cause a rise in the phreatic surface in the material retained behind the wall.  

With respect to drainage conditions, two very different situations can exist, requiring quite different measures. In addition there are a range of conditions between the two, requiring individual judgement. 

The first of these conditions is illustrated in Figure 7.4.6.  This shows reinforced earth walls retaining a fill constructed on a level site with a water table some distance below the ground surface.  If the fill is of similar permeability to the foundation soil, any surface water coming from rainfall or any other source will cause seepage vertically downward toward the water table. In this situation the pore pressures will be zero, and there is no real possibility of pore pressures building up in the retained fill or the reinforced earth. If the soil used in the construction of the wall  and retained soil is the same, it is highly likely that the remoulded soil will be of lower permeability than the undisturbed soil, making it even less likely that there will be pore pressure build-up in the fill. Thus the need for drainage measure is minimal, at least in theory. It may still be prudent to install limited drainage measures for added security. 
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    Figure 7.4.6  Seepage and pore pressure state for an “embankment” on level ground.

The second situation is illustrated in Figure 7.2.7. The RE wall is being used to retain a hillside after the toe has been removed to make space for a highway or similar project. In this case there is likely to be a substantial rainfall catchment higher up the slope, and seepage towards the wall, as illustrated in the figure. In this case it is essential to ensure that this seepage is intercepted before it can enter the RE wall. A drainage blanket must be installed at the back of the wall for this purpose. Some designers may prefer to also place a drainage blanket beneath the base of the wall to make it even more secure from possible pore pressure build-up. 
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Figure 7.4.7 Drainage requirement when wall retains hillside slope.

7.4.6 Deformations with clay fill

An argument sometimes raised against the use of clay fill is the likelihood that it will lead to excessive deformations. A theoretical study of this issue has been undertaken using finite element analysis of a hypothetical wall. The wall was 6m high with typical properties and spacing of the geogrid reinforcement. The analysis was carried out for both a "soft" facing with similar modulus to the soil, and a stiff facing with modulus similar to that of concrete. In each case a range of soil modulus values was investigated. The results are summarised in Figures 7.4.8 and 7.4.9. 
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Figure 7.4.8 Influence of soil modulus with a “soft” (flexible) facing to the wall
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Figure 7.4.9 Influence of soil modulus for a “stiff” (rigid) facing to the wall 

For clay fill the Young's Modulus (Es) is likely to be in the range of 10 to 20 MPa, while for a well compacted granular fill it is likely to be in the range of 30 to 50 MPa, or possibly higher. Figure 7.4.8 (soft facing) shows that the deformation with clay fill is likely to be about double that for a granular fill. Figure 7.4.9 (stiff facing) suggests that the clay fill may result in over twice the deformation for a granular fill. However with the stiff facing the deformations are so small that they are unlikely to be of any consequence. Even with the soft facing the deformations are small and would only be a cause of concern in special situations. The reinforced walls currently popular in New Zealand are being built using segmental block facings. The most common type of blocks are known as "Keystone" blocks.  Facings of this type will have high vertical stiffness but low bending stiffness, so that the deformations to be expected will be between those shown in Figs 7.4.8 and 7.4.9. A number of R.E. walls using clay fill and geogrid reinforcement have been built in New Zealand in recent years. The clay has been of residual origin, including both volcanic and sedimentary (siltstone/sandstone) parent rock. Wall heights have been from 4m to about 12m. As far as the author is aware, the walls are performing satisfactorily, and deformations have been within expected, acceptable limits. 

Possible adverse effects from down-drag on the facing elements. 

An effect that has been observed on one or two R.E. walls recently constructed in New Zealand using clay fill and "Keystone" segmental facing is minor cracking in a number of the Keystone blocks. These cracks are not affecting the performance of the wall, but they are clearly undesirable, if only for aesthetic reasons. The wall is about 12m high, and built of the clay from which Sample 1 (see Table 7.4.1) was taken. The different stiffness of the clay fill and the concrete facing means that the facing will attract higher stresses than its gravity weight and the soil in the immediate vicinity of the wall will have less stress than its gravity weight. 

This effect has also been investigated as part of the finite element study. A wall facing 20cm thick with an E value typical of concrete (25,000 MPa) was adopted. Soil modulus values of 10 and 100 MPa, were selected, representative of a fairly plastic clay fill, and a very high quality, dense, granular fill. The results of the analysis are summarised in Figures 7.4.10 and 7.4.11.    
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                    Figure 7.4.10. Vertical stresses in the facing and the soil. 

Figure 7.4.10 shows the results as plots of vertical stress over the height of the wall at three locations, namely in the wall itself, 10cm and 10m from the wall. This illustrates very clearly the way in which the wall attracts stresses much higher than its gravity weight. The "gravity" stress at the base of the wall should be about 150 kPa; instead it is over 800 kPa. Immediately adjacent to the wall the stress is almost zero, and 10m away it is the gravity value (6m of soil at 20 kN/m3 = 120 kPa). The soil immediately adjacent to the wall is thus largely supported by the geogrids and its weight is transferred to the concrete facing. 
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                  Figure 7.4.11 Vertical stresses at the base and mid-height of the wall.

Figure 7.4.11 shows the vertical stresses on horizontal planes; curves are given for the base and mid-height of the wall. This again illustrates the way in which the wall attracts high stress and the soil immediately adjacent to the wall has a very low stress. The stress has virtually reached the gravity weight value at a distance of 4m. This was the length of the geogrids assumed for the analysis, although the results in Figures 7.4.10and 7.4.11 are probably not greatly influenced by the length of the reinforcement. It should be noted also that the results are not much influenced by soil modulus values from 10 to 100MPa; it is only when the modulus approaches that of concrete that the picture presented in Figs 7.4.10 and 7.4.11 will start to change. 

 Figure 7.4.10 shows a maximum vertical stress in the facing of about 800 kPa. This is for a wall of height 6m. For a wall of the height in which the cracking was observed (12m) the stress would be expected to be about double this figure. Although this is many times greater than the stress due to the gravity weight of the blocks, it is only a small fraction of the expected crushing strength of the Keystone blocks, which is in the vicinity of 20 MPa. Hence the additional stress in itself is not sufficient to account for the cracking observed in the blocks. It is probable that differential settlement due to non-uniform foundation conditions has induced bending stresses along the wall, and that a combination of these stresses and the additional vertical load has caused the cracking. 

None of the factors investigated and discussed in this paper present any real obstacles to the use of clay fill in geogrid reinforced earth walls.  Only the need to keep deformations to very tight tolerances, or inability to dry the clay to an appropriate water content, could rule out the use of clay.
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ATTACHMENT

SHEAR STRENGTH PARAMETERS FROM BACK ANALYSIS OF SINGLE SLIPS

Laurence D. Wesley and Viraja Leelaratnam

ABSTRACT: Determination of the shear strength parameters c( and (( by laboratory methods often presents difficulties because of uncertainties arising from sample disturbance, sample size, and appropriateness of the test method. Back analysis of field situations is rightly seen as a means of avoiding these uncertainties, or at least of providing a check on the reliability of laboratory measurements. A description is given of back analysis procedures that can be used in situations involving a single slip in a homogeneous material. It is shown that a commonly held belief that only a range of possible combinations of c( and (( can be obtained from a single slip is not the case, and that a variety of procedures can be used to obtain unique values of c( and ((
INTRODUCTION

Shear properties obtained from back analysis of field situations ought in principle to be more reliable than those obtained from laboratory tests, and hence any methods that assist the process of back analysis are to be welcomed. The purpose of this paper is to present some simple concepts which provide a means of extracting shear strength parameters from back analysis of slopes in which single slips have occurred. Yamagami and Ueta (1991) have presented a useful method for doing this, and this paper offers some alternatives that appear somewhat simpler.

METHOD

Fig. 1 shows a slope in which a single slip has occurred at the location shown. The slip surface is assumed to be circular and the ground water table is taken to be at the ground surface. By carrying 

out conventional slip circle analysis, it is possible to obtain a range of values of c( and (( which satisfy the criteria that the safety factor for the slip surface shown is unity. This has been done using the standard Bishop method. 
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Figure 1.  Geometry showing position of actual slip circle.

The range of values so obtained is shown graphically as curve (a) in Fig. 2. By plotting c( versus tan (( the plot is almost linear; this appears to be the normal situation when the analysis is of a specific slip surface.
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                 Figure 2. Combinations of c( and (( giving safety factors of unity. 

From this point onwards there are several methods for deciding which of these possible combinations is the correct one. Perhaps the simplest is to now ignore the actual slip circle and carry out stability analysis of the slope using as a starting point each of the combinations of parameters shown in Fig. 2. 
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Figure 3. Critical circles obtained using the shear strength parameters obtained from back analysis of the actual slip circle. 

In other words we are now ignoring the slip, and treating the slope as an intact slope. This analysis produces a series of critical slip circles as shown in Fig. 3. Examination of these shows that each circle has a different location, and only one of these circles has a safety factor of unity. All the others have safety factors less then unity. Thus the true field values of c( and (( must be those applying to this one circle which is compatible with the field situation. The values so obtained are (( = 30o and c( = 18 kPa.

A second approach is to ignore the actual slip surface (and the data obtained from it), and to repeat the back analysis treating the slope as intact. This gives a new set of combinations of c( and (( which apply to the intact slope. This range of values is also shown in Fig. 2 as curve (b), and the two sets of values are listed in Table 1. 

Table 1 Combinations of strength parameters giving safety factors of unity.

	From specific slip circle
	From intact slope

	((
	tan ((
	c(  (kPa)
	((
	Tan ((
	c( (kPa)

	0
	0
	35.4
	0
	0
	55

	5
	0.089
	32.9
	5
	0.089
	46.9

	10
	0.176
	30.3
	10
	0.176
	39.1

	15
	0.268
	27.5
	15
	0.268
	33.1

	20
	0.364
	24.6
	20
	0.364
	27.6

	25
	0.464
	21.5
	25
	0.464
	23.0

	30
	0.577
	18.1
	30
	0.577
	18.1

	35
	0.700
	14.2
	35
	0.700
	14.4

	40
	0.830
	9.9
	40
	0.830
	10.3

	45
	1.000
	4.9
	45
	1.000
	6.6

	50
	1.132
	Negative.
	50
	1.132
	3.7

	55
	1.428
	Negative.
	55
	1.428
	0.7


The point where the two sets of values coincide (ie where the curves touch in Fig. 2) defines the values that must apply in the field. 

In Fig. 4 the combinations of values from Table 1 are plotted as Mohr-Coulomb failure lines. By simply comparing the graphs, or placing one on top of the other, the envelope common to both the intact slope and the slip surface is easily identified. 
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         Figure 4.  Mohr-Coulomb envelopes from actual failure slip and intact slope.  

A final method is to plot safety factors against either c(or tan ((. Tan (( will be used here. This can be done in two ways. Firstly, we can take the combinations of c(and (( obtained from back analysis of the actual slip circle and use them to calculate a set of safety factors for the slope without the slip plane present, ie for the intact slope.  If we do this we find that the safety factors are all less than unity except for the one case when the critical circle corresponds to the actual slip circle. 
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            Figure 5.  Graphs of safety factor versus tan for two different initial assumptions. 

This is illustrated graphically by the lower line in Fig.5. In other words if the shear strength parameters are not those applying to the actual slip surface then failure would have occurred somewhere else, since the safety factor would be lower. Secondly, we can take the combinations of c( and (( obtained from back analysis of the intact slope and use them to calculate safety factors for the actual slip plane. We then find that all the safety factors are greater than unity except for the one case when the critical circle corresponds to the actual circle. This is illustrated by the upper curve in Fig. 5. In other words the actual failure surface this is the only slip surface on which failure could actually occur, since all other surfaces have higher safety factors. Hence the point where these curves give safety factors of unity defines the true values of c( and ((.

DISCUSSION AND CONCLUSION

The essential point of the above methods is that only one combination of c( and (( is applicable to a particular failure surface. Any other combinations of c( and (( will apply to different critical failure surfaces. The methods described here are applicable only to slopes consisting of homogeneous materials. They are therefore of limited practical application, as only a small proportion of slips occur in homogeneous materials. If the methods are applied to slopes assumed to be homogeneous, when in fact this is not the case, then the results may be quite misleading. Hence the methods should be used with caution.
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Figure 7.2.2 Curve fitting to height/slope date to determine values of c( and ((.
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